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1.0 INTRODUCTION

This report is written in two parts. The first part deals with
monotonic strain-rate effects. The second part deals with the effect of
high frequency loading on soil behavior. High frequency loading at a
high strain amplitude is a special case of high strain rate loading in
which the direction of loading is reversed and repeated. The main goal
of this report is to assess the effect of high frequency loading on the
mechanical properties of soils. Due to the sparsity of cyclic loading
data available at the frequencies of interest, however, the effects of
loading rate in monotonic shear tests is discussed in some detail.

In centrifuge modeling, a small scale model s subjected to
increased acceleration field in order to obtain the same stress levels
in model and prototype. Since the models under consideration are
smaller than the prototype by an arbitrary scale factor, n, the events
will occur more rapidly in the model than in the prototype.

For consolidation, a diffusion process, the length of a drainage
path is reduced by the factor n in the model. Therefore, events occur
n2 times faster in the model than in the prototype. In the case of
dynamic model testing such as the simuiation of earthquake loading,
timing of events is related by tp = ntm,
denote prototype and model. The rate of change of stress and strain in

where the subscripts p and m

the models are increased in order to satisfy stress and strain simi-
larly.

The predominant range of frequencies observed in real earthquakes is
between about 0.2 and 10 Hz, with most of the energy (the peak in the
velocity spectrum) occurring at about 1 to 2 Hz for soil sites. A 1 Hz
prototype shaking frequency fD is modelled in an n g centrifuge test by

a fm = nfp mode! frequency. The frequencies of interest for modeling




earthquake effects in the centrifuge are in the range of 0.2 n to 10 n,
where n typically varies between 20 and 100. Thus it is conceivable
that loading frequencies up to 1000 Hz are important, though most of the
energy would be below about 200 Hz (for a test at n = 100).

Since length and displacements scale according to gm = zp/n, and
2

accelerations scale according to a, = ﬁm/tm

mic tests) it is apparent that tm x tp/n. From dimensional analysis it

= n(zp/tp) = nap (in dyna-

is also apparent that Vo = zm/tm =y = zp/t that is, velocities are

the same in model and prototype.

P p’

To simulate an 0.25 ¢ 1 Hz prototype earthquake pulse at n = 100
would require a 25 g, 100 Kz pulse in the model. An 0.25 g, 1 Hz pulse

would involve a peak velocity of

a 2
. . 0.25(9.81 m/s ) .
e 71(1 Az) 0.39 m/s

likewise in the model

8n  25(9.81 m/s?)

Ym T Znf ~ T 2n(100 Hz) = 0.39 m/s

The peak displacement of a sinusoidal pulse would be

. R |
d =2 = 00062 m
P (anp)2
d
d. = ——Jﬂ——i = 0.00062 m = 0.62 mm
(anm)

The order of magnitude of the strains that would be reached in the

model and prototype can be estimated by € = d/h, where h is a charac-




teristic dimension of the soil layer undergoing a relative displacement,
d.

For a prototype layer with hp = 10 m a representative strain that

would result from a 0.25 g, 1 Hz pulse would be

d
0.062 m
epsﬁﬁs—lﬁ—ao.szx

in a model with n = 100, the thickness hm would be hp/IC = 0.1 m and

the corresponding strain would be

d

m _0.62 mm
Emsh—m-im-io.szx

So, as expected, strains are the same in model and prototype.

The strain rates, however, would be

v

: _ . p_0.39m/s _ -

€p = hp —To—r'n—— 0.039/s 3.9%/s
Ym _ 0.39 m/s

€m = h—m'- = m—— = 3.9/s = 390%/s

Thus expected strain rates in the dynamic centrifuge model tests are in
the range of 100 to 1000%/second.

Cyclic triaxial and simple shear tests have been reported in the
literature at these strain levels, but not at typical model fregquencies.
Resonant column tests can be conducted at these frequencies, but not to
the above strain levels. Neither of these types of tests has typically
been conducted at the appropriate strain rates. Some monotonic tests

have been conducted at strain rates appropriate to dynamic centrifuge




tests, but even in monotonic tests difficulties arise due to non-uniform
deformation caused by the limited rate at which stress waves can travel
through a specimen.

It has been recognized for a long time that the soil properties
such as moduli and shear strength are affected by the rate of loading.
For the most part, the existing data in the literature is predominantly
obtained for rates of loading that are smaller than those which may
occur in dynamic¢ centrifuge model tests. An attempt is made in this

report to extrapolate the data from the 1literature to rates of

interest.

2.0 THE EFFECTS OF HIGH STRAIN-RATE LOADING ON SOIL BEHAVIOR

2.1 Rate Process Theory

Deformation and shear failure of soils involves time-dependent
rearragnement of matter. As such these phenomena are amenable for study
as "rate processes" through application of the theory of absolute reac-
tion rates (Glasstone, Laidler and Eyring, 1941).

The basis of rate process theory is that atoms, molecules and/or
particles participating in a time dependent flow or deformation process,
termed "flow units" are constrained from movement relative to each other
by virtue of energy barriers separating adjacent equilibrium positions.
Based on these principles, Mitchell (1976) derived a relationship for

strain rate as shown below.
kT AF OA
€ = x 5= expl- gz7) exP (gz;7)

where x = proportion of successful barrier crossing and the
corresponding displacement

k = Boltzmann's constant




T = absolute temperature

h = Planck's constant

AF = activation energy

= universal gas constant

deviator stress under triaxial condition

= distance between successive equilibrium positions

w > o pe/
“

and = “flow units® per unit area
If the maximum shear stress t is substituted for the deviator stress

D in the above equation, taking logarithms would give

. kT AF TA
2n € = In (X'h—-)-ﬁi-m

Assuming (x kT/h) = B is constant (Mitchell, 1964).

2S SkT
T= 3N AF + ZA an ( )

Since there exists a unique relationship between bonds per unit area
and effective stress for all soils, a relationship for “S" could be

written as follows
S=a+ bo%

where a and b are constants and of' is the effective stress on the shear

plane, Thus the equation for "t" becomes

2bkT

28 | 23KT
* 5% 3

- —) (—— AF + 2n ( ))o
This is of the same form as “he Coulomb equation for strength.
T=20C+ of' tang.

By analogy (Mitchell, 1976)




2aAF | 2bkT
c o BF L B iy
and tang = gEAF + ngTzn (%)

This shows that, all other factors being equal, the shearing
resistance should increase linearly with the logarithm of the rate of

strain.

2.2 Literature Review

2.2.1 Introduction

As early as the nineteenth century, Vicat (1833) and Collin (1846)
recognized that strain rate had an effect on the undrained shear
strength of cohesive soils. 1In addition studies of strain-rate effects
on the compressive strength of clays were performed at Harvard
University in the late forties. They investigated the undrained stress-
deformation and strength characteristics of soils under very rapid
loading and unloading (Casagrande and Shannon, 1948a, 1948b, 1949).

The findings of chese early studies created a significant interest
in the effect that rate of loading has on the shear strength of soils.
As a result, this problem has been investigated by many authors in the
following years in relation to undistrubed, remolded and compacted
clays. (See, for example: Whitman (1957); Bjerrum, et al. (1958);
Crawford (1959); Richardson and Whitman (1963); Perloff and Osterberg
(1963); Jarrett (1967); Graham et al. (1983)).

2.2.2 Behavior of Cohesive Soils

From earlier studies (carried out at Massachusetts Institute of
Technology, 1954) one pattern of behavior has emerged, as shown in fig.

1 (Whitman, 1960). It seems possible to distinguish between the beha-




vior of the samples which fail in a brittle fashion by cracking or
splitting and those samples which deform in a plastic fashion,

When a sample fails in a brittle way, the inference may be drawn
that the bonds within the sample have been overcome, and once overcome
have been destroyed rather completely. On the other hand, in a plastic
type of failure the material remains intact.

For soils which deformed in a plastic fashion, the pattern of strain
rate effect suggested some sort of viscous action. The stress-strain
curves for slow and fast tests showed the same general shape, and the
stress at 1% strain was increased by thc same percentage by increasing
the strain rate as was the stress at 10% strain. The soils which
deformed in a plastic way general'y showed moderate strain-rate effect,
i.e.; the strength increased on the order of 50% as the time to failure
was decreased from several minutes down to several milliseconds
(Whitman, 1960).

The soils which broke in a brittle way generally showed larger
strain rate effects - perhaps 100% or more strength increase for the
same range of time-to-failure. The stress-strain curves from fast tests
appeared quite different than thcse from slow tests, having much broader
peaks. As the strain rate increased, so0 too did the strain at which the
maximum deviator stress was reached. This pattern suggests that the
bonds which hold the brittle samples together have time-dependent
characteristics. Thus the amount of bonding which acts at a given
strain increases as the strain rate increases and hence the higher
strength.

wWhitman (1960, 1970) suggests that it is primarily the level of pore
pressures within a sample which determines the category into which the

sample fails. When pore pressures are positive or slightly negative at




failure (for tests which are conducted with confining stresses) the
plastic type of behavior generally was encountered. On the other hand,
where large negative values of pore pressure existed at failure, (as in
the unconfined compression tests) the brittle type of failure generally
occurred.

Whenever a specimen of soil is tested under small or zero confining
stress, as in unconfined compression tests, the soil has strength
largely because there are capillary tensions, which in turn cause
increased effective stresses. In general, these capillary tensions
become increasingly important as the water content decreases, although
in very dry soils, _hey cease to be important with regard to strength.

In conclusion, Whitman (1967) has hypothesized (fig. 1) that the
strain-rate effect upon strength will be greatest when negative pore
pressures contribute most importantly to strength. This hypothesis is
supported by various test results reported in Table 1 (Whitman, 1970).
A1l of these results are from either unconfined compression or con-
solidated undrained test on undisturbed specimenc of clay. For uncon-
fined compression tests, the strain rate effect was less at low strains,
such as 1/2-4%, tran at faijlure. For consolidated undrained tests
strain rate effect was the same at low strains and at failure. In addi-
tion he believes that the structural viscosity is of less importance for
rate effects than the changes in the excess pore pressure.

Richardson, et al. (1963) carried out tests using strain rates
1%/min and 0.002%/min and concluded thac the mechanism for the effect of
strain rate is different for small strains and large strains (Table 2).

At large strains, the relationship between void ratio and effective
stress apparently is strain rate dependent; that is, as the strain rate

is increased, a larger affective stress is required to hold the soil it




any given void ratio. At the faster strain rates, adjacent soil par-
ticles find it more difficuit to move relatively, and, unless restrained
by increased effective stress, will tend to ride up over one another.
The effect can be thought of either as an 1increased resistance to
compression or as an increased tendency to dilate. In either case the
result is the same: increasing the strain rate applied to a saturated
soil means larger effective stresses and consequently greater shear
resistance.

At small strains, increasing the strain rate caused an incCrease in
(ol'/o3') where ol' and 03' are the major and minor principal effective
stresses, respectively. This result is interpreted to imply a strain-
rate effect upon resistance to distortion, whereas the strain rate
effect at large strains is more related to volume change phenomena.

Figure 2 shows the deviator stresses which developed in four dif-
ferent tests following a sudden increase in strain rate from 0.002%/min
to 1%/min (Richardson, et al., 1963). Average curves from the tests
with a steady-strain rate have been superimposed. It can be observed
that,

a) The deviator stress increases sharply to a level greater than
that which was achieved at the same strain in fast tests with a
steady strain rate.

b) Following the peak, the deviator stress decreased to the level
achieved dur. .. steaay, rapid straining.

Figure 3 shows .. : relationship between obliquity ratio (01'/03')
vs. strain computed }ru' «ie test results shown in fig. 2. It appears
from the results that tihe strain rate effect upon peak deviator stress
will be greater for anisotropically consolidated than for specimens con-

solidated under ol' z 03'.




Drescher (1966) has also observed the same phenomena for the effect
of abrupt variation of the strain rate upon the strength characteristic
of a cohesive soil, for strain rates of 2.1%/sec - 8.3x10 “%/sec. It
is interesting to note that Dreshcher's (1966) experimental results have
no distinct failure strength even after 15% strain as shown in fig. 4.

Perloff, et al. (1963) have indicated that the undrained strength of
a soil can be expressed as a function of the overconsolidation ratio and
the relative strain rate. The "Grundite" c¢lay which has the clay
mineral illite as its chief constituent was used in this study. The
classification properties are shown in Table 3. For the soil tested the

explicitly empirical relationship could be written as follows:

«+ b o.s .
= e L £
(=) = a (éo) G) +d ()

where € is the base value of strain rate equal to one percent per hour,
o, is the consolidation pressure immediately prior to testing, op is the
maximum preconsolidation pressure and a, b, s, d, and f are dimen-
sionless constants of the equation. These constants could be obtained
rran the laboratory calibration process. Table 4 gives the values of
these constants for the ¢lay studied.

It is implied by the above equation that the effects of stress
history and strain rate on shear strength of soil are interdependent.
In conclusion, Perloff, et al. (1963) pointed out that in order to con-
sider one of the factors separately, it is necessary to hoid the other
constant. If this is not done, it is obvious that any resuits obtained
would be Tiable to misinterpretation.

On the other hand, Schmid, et al. (1965) suggested that the shear

strength of a clay soil could be expressed as

10




(91799 | 4 oDlw-w,)

where L reference water content

A - reference shear strength depending on w,
and D - the slope of the line showing the relationship between
water content and the logarithm of the shear strength.

They suggested to choose the water content at the plastic limit for
Woe Since the remoulded shear strength at the plastic limit of a soil
is constant, the resulting value of A would be simuitaneously a measure
of the sensitivity to remoulding.

For the shear strength of a clay soil to be time-dependent, the
parameters A and D should be functions of the load duration or the
strain rate. To verify this intuition, Schmid, et al. (1965) carried
out load controlled triaxial tests in two clays, one predominantly
kaolinite (Grantham) and one i11ite (Grundite). The test specimens were
prepared from a common batch of saturated clay and were consolidated in
the triaxial cells under different confining pressures. The specimens
were then subjected to shear stress while drainage was prevented. The
stress was applied in uniform load increments that were held constant
throughout the load interval. Load intervals used in the experiment are
10 seconds, 1 minute, 10 minutes and 90 minutes. The results are as
shown in figs. 5 and 6.

Even though there is some scatter, the data clearly show that para-
meters A and D are functions of the load interval or of the total time

to failure (Schmid, et al., 1965). The scatter is more pronounced in

Grantham clay than in the Grundite. This was attributed to the less

11




skill and experience Schmid, et al. had in choosing the proper stress
increments for Grantham clay, which was tested first.

Tests on Grundite clay at various constant strain rates by Perloff
and Osterberg (1963) were evaluated by Schmid, et al. (1965) on the same
basis and also show a clear dependence of A on the strain rate (fig. 7).
However, the data (Perloff, et al., 1963) seem to indicate that the
value of D changes very 1ittle, if at all, and that perhaps the only
time dependent parameter {s the value A.

Lefebvre, et al. (1987) pointed out that for overconsolidated clays,
pore pressures generated at a given deviator stress are essentially
independent of the strain rate, while the peak strength envelope is
lowered as the strain rate is decreased. For normally consolidated
clays, & lower strain rate results in an increase in pore pressure
generation during shearing, while the peak strength envelope remains the
same. However, they concluded that, from a quantitative standpoint, the
increase in shear strength ratio (i.e. cu/(cu at 1% per hr)) caused by
an increase in strain rate is similar for normally and overconsolidated
clays, and it is linear for at least five log cycles of strain rate
(fig. 8).

Cheng (1980) has indicated from his unconfined torsional tests on
clay having Liquid Limit (LL) = 61 and Plastic Limit (PL} = 28, that the
undrained strength is bounded by an upper limit called the ultimate

dynamic strength (Sm), which can be written as

Sm=50+a
where So = static undrained strength
and a = dynamic component of the ultimate dynamic strength.

12




For strain rates less than 1760 %/sec, the relation between undrained

strength S, and strain rate v, with no confining pressure could be writ-

ten as
Sa5,+a (1-e7BY)

where B 1s the coefficient that gives the rate at which the strength
approaches the ultimate dynamic strength. The parameter "a" seems to
depend on the water content of the clay.

Some investigations of the effect of strain rate on monotonic soil
properties, described above are summarized in fig. 9. Originally some
of the results were expressed in terms of strength versus time to
failure. By making the assumption that failure occurred at an axial
strain of 10%, the results have been plotted as the normalized strength
versus the approximate axjal strain rate. It was then possible to add
data from Yong and Japp (1969), Drehscher (1966) and Cheng (1980). This
result (fig. 9) is in contrast to the conclusion obtained by Mitchell
(1976) (Section 2.1) that the relationship between strength and
logarithm of strain rate is linear.

Also shown in fig. 9 is a line that corresponds to the variation in
strength with strain rate of 10% per log cycle of strain rate. For most
of the soils it appears that below a strain rate of about 0.1% per
second, the strain rate effect is less than 10% per log cycle. Above
about 0.1% per second, the strain rate effect increases above 10% per
1og cycle. Above about 100% per second some of the results (Cheng, 1980
and Yang and Japp, 1967) suggest that the strain rate effect increases

dramaticaliy.
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2.2.3 Behavior of Cohesionless Soils

Numerous rapid loading tests have been made on dry sands (Casagrande
and Shannon, 1948; Schimming, et al., 1966). All of these tests have
indicated that the strain rate effect in dry sands is small or negli-
gible, that is, that there is less than 10-15% increase 1in friction
anglie between times to failure of about 5 min and 5 m sec.

Figure 10 shows the composite average result of testing three sands
(Wwhitman, 1970) during the earlier MIT tests. These sands were standard
Ottawa sand (a uniform sand of medium grain size), a fine well graded
river sand, and desert alluvium from Nevada. The results show that the
friction angle first decreases as the strain rate increases beyond that
required for a time to failure of 5 min. Eventually the trend reverses,
and there is a slight increase in strength (and hence friction angle)
with increasing strain rate.

Whitman (1970) points out that there are some reasons (Whitman and
Healy, 1963) for believing that these trends are simply the result of
systematic errors, and hence should be ignored. On the other hand,
there is also some additional evidence to suggest that the trends may be
indeed correct.

The bearing capacity tests by vesic, et al. (1965) shown in fig. 11,
show first a decrease in bearing capacity (about 30% lower than the sta-
tic bearing capacity) as the loading velocity increases to about 0.002
in/sec. Further increase in loading rate to 10 in/sec, resulted in a
gradual increase in bearing capacity. In tests with dry sand this
increase is not very pronounced, so that the bearing capacities in the
fastest tests barely exceed the static bearing capacities. In tests
with saturated sand, however, the increase is very pronounced, and the

final bearing capacities are several times higher than the static

14




bearing capacities. Similar results are also reported by Colp (1965)
and Whitman and Luscher (1965).

Whitman (1970) has suggested a hypotheses to explain the trend shown
in fig. 10. The decrease of friction angle with increasing strain rate
could be attributed to the increased tendency for kinetic friction
rather than static friction to govern the behavior, as the coefficient
of kinetic friction is generally less than the coefficient of static
friction. The increase of friction angle at very rapid strain rates can
be explained on the basis that interlocking between particles becomes
more effective when the particles are not given sufficient time tc find
the easiest path past one another. Tests by Healy (1963) have shown
that sands expand more during rapid shear than during slow shear, thus
confirming the increased importance of interlocking. However, he points
out these hypotheses are still only speculative and that very careful
work would be required to learn just how much and just why the friction
angle of dry sands is affected by strain rate.

In saturated sands there can be a strain rate effect (Whitman, 1970)
as much as a factor of 2 or 3 because of differences in the excess pore
pressures generated at different strain rates as shown in figs. 12 and
13. This type of effect develops when a saturated sand is straining at
more or less the critical void ratio for the particular level of effec-
tive stress; i.e., at large strains with loose specimens under low to
moderate effective stresses (Whitman, et al., 1962; and Healy, 1962).

This strain-rate effect in saturated sands is caused by the
following phenomenon. With increasing strain rate, the sand has a
greater tendency to increase in volume (Healy, 1963). In order to
maintain the constant volume condition involved in undrained shear of a

saturated soil, this tendency must be counteracted by an increased
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effective stress; i.e., by a decreased pore pressure. Any possible
change in the friction angle with strain rate are of small consequence
(Whitman, 1970).

Dense specimens under low effective stress will simply cavitate, and
so will cease to be sheared at constant volume (fig. 14). The effect of
strain rate on peak strength is then small, just as in the case of dry
sands.

These results have played an important role in the understanding of
the effects of strain rate on strength in the case of saturated soils.
However, these results are themselves not very important in practical
problems because of uncertainty as to the degree of consolidation of
sands during rapid loadings will mask the strain rate effect discussed
here (Whitman, 1970).

2.3 Interpretation and Extrapolation of the Results Reported in the
Literature

All of the results described above were obtained using triaxial spe-
cimens except those of Cheng (1980) which were obtained using a tor-
sional apparatus. Conducting very rapid shear tests is complicated by
the inertial forces that can develop during rapid deformation. In addi-
tion rapid tests do not allow time for equalization of pore water
pressures, Pore pressures measured at the sampie boundaries may be dif-
ferent from those in the center.

First, consider the effects of inertia forces. Assuming that
failure occurs at 10% strain, the average stiffness of a triaxial speci-
men in compression to failure is qf/0.1 (refer to fig. 15). In terms of
the undrained shear strength, ¢, ® qf/2, the average modulus would be a

2 cu/O.l. For a soil with a density of 2000 kg/m3 and a shear strength

2

¢, * 40 kN/m"™’ the velocity of a compression wave in the sample will be

16




2 c,/0.1
Vc = VE/D = V—Zﬁm—— = 20 m/sec

In a triaxial specimen of typically 0.1 m height, the compression
wave corresponding to the average modulus would then take 0.005 s to
travel the length of the specimen. At a strain rate 100%/sec, this time
lag represents an axial strain of 0.5%. A strain difference of 0.5% is
itself significant, but increments of stress superimposed on a high
stress will send stress waves traveling through the specimen at a velo-
city corresponding to the tangent modulus such as the one labelled

E in fig. 15. This modulus could be an order of magnitude lower

tang
than the average modulus, E_ _, and could reduce the velocity of propa-

avg

gation of the increment of stress accordingly. Time lags between the
base and top of the specimen could be expected to be several times
larger than the value calculated for the average modulus. Near failure,
time lags could be expected to be on the order of 0.05 sec which at a
strain rate of 100%/sec corresponds to strain lag of 5%! The torsional
shear tests of Cheng (1980) would also be subject to nonuniform strain
since these specimens were also relatively long (7.5 cm).

Carroll (1988) performed dynamic tests on a 1.9 ¢cm (0.75 in)
diameter by 3.8 ¢m (1.5 in) long soil specimen in the fast triaxial
shear device (FTRXD), to study the effects of inertia in the test
apparatus and wave effects in the specimen. Load and displacement at
the top of the specimen and 1oad at the bottom are measured during the
experiments. The test specimens were prepared with soil taken from the

CARES-Dry test site located at Luke Bombing and Gunnery Range in

Arizona. It is classified as SC (clayey sand) in the Unified Soil
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Classification System with a 1iquid limit of 36%, plasticity index of
19% and 33% fines.

Figure 16 shows the measured load versus time for the three tests
(with different continuing pressures) carried out at 536%/sec strain
rate. The 1load recorded by the upper load cell in these tests was
12-15% higher than that for the lower load cell. For an increased
strain rate of 7500%/sec and a confining pressure of 200 psi, the load-
time relationship is as shown in fig. 17 where the difference between
upper and lower load cells {s around 25%. The observed oscillation of
the upper load cell was attributed to the coincidence of natural period
of the loading cell with the loading rate. When this was repeated with
another loading cell of lower natural period similar effects were not
observed (Carroll, 1988).

It should be noted again that the above differences in loads were
observed in a 3.8 cm long soil specimen. Therefore ane could envisage
the amount of non-uniformity that can exist in more typical 7.5 c¢m and
10 cm long samples in high strain rate loading. Consequently, it is
difficult to determine the actual magnitude of the increase in rate
effects at high strain rates (above about 100%/sec), from the results
described in section 2.2.

The results for typical strain rates encountered in centrifuge tests
indicate that the shear strength of soil increase at a rate of somewhat
more than 10% per log cycle of strain rate (fig. 9). The apparent
increase in strain rate effects at high rates of strain might be attri-
buted to:

1) Sample non-uniformities that develop due to the limited velocity of

a stress wave in the samples, or
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2) Problems with the stiffness of the test apparatus 1like those
demonstrated by Carrol (1988).

3.0 THE EFFECTS OF HIGH FREQUENCY LOADING ON SOIL BEHAVIOR
3.1 Introduction

It has long been recognized that when a soil is subjected to
repeated strain cycles it undergoes irreversiblie structural changes and
a degradation in elastic and plastic properties (i.e.: stiffness and
damping) and strength. The variation of these properties during cyclic
loading (or earthquake pulses) depends on loading frequency, cyclic
strain amplitude, and other factors.

A representative loading frequency and earthquake acceleration asso-
ciated with the response of soil deposits during earthquakes would be
1.5 Hz and 0.25 g. To model a 1.5 Hz loading frequency at model scale
of 80, the required loading frequency for the centrifuge tests would be
120 Hz. In addition an 0.25 g prototype earthquake at 80 g requires a
20 g model "earthquake" acceleration.

The data that exist in the 1iterature describing the effect of
loading frequency and cyclic strain amplitudes on the behavior of soil
are summarized in this report. For the most part, however, this data
addresses either

1) frequencies which are significantly smaller than the 50-1000 Hz

range which is involved in dynamic centrifuge tests, or

2) cyclic strain amplitudes which are much smaller than those that

occur during earthquake 1loading which causes significant

damage.
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Besides summarizing existing data, this report will attempt to
extrapolate the data from the literature to high 1oading frequencies of

interest in dynamic centrifuge testing.

3.2 Literature Review

3.2.1 Introduction

Up until now, very 1little had been reported in the literature
regarding the varfations in the strength and moduli of specific soils
due to different loading frequency. A few of the papers that address
these {ssues are Taylor and Hughes (1965), Seed and Chan (1966), Theirs
and Seed (1968, 1963), Brown, et al. (1975), Khaffaf (1978), and
Lefebvre, et al. (1987).

3.2.2 Behavior of Cohasive Soils

Theirs and Seed (1963) performed tests on undisturbed samples of San
Francisco Bay mud (plasticity index = 45). They pointed out that the
two important parameters affecting the results of any seismic loading
test series are the loading frequency and the trace shape. (Stress
trace shape in the case of stress controlled tests and strain trace
shape in the case of strain controlled tests.) They compared the
results at 1 Hz with similar tests at 2 Hz conducted by Seed and Chan
(1966) as shown in fig. 18. They found that increasing the loading fre-
quency from 1 HZ to 2 Hz causes 35 to 40 percent increase in the
pulsating stress required to cause failure, in a given number of cycles.
(Pulsating stresses are the additional stresses 1induced by the
earthquake.)

On the other hand, Sherif and Wu (1971) found that, in general,
increasing the frequency from 1 Hz to 2 Hz has little effect on the per-

manent and cyclic strains and pore pressures for a given cyclic stress
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level, for cyclic triaxial tests on Seattle clay (Plasticity Index =
26).

From strain controlled tests on a silty clay, Taylor and Hughes
(1965) stated that the increasing frequency of testing from 0.08 to
10 Hz was found to decrease the modulus by 17% (modulus measured after
1000 cycles of strain). This is less surprising, if it is considered
that the sampies were cycled 1000 times before their modulus was
measured. Strain controlled tests at high frequency would be expected
to mobilize larger stresses in the initial cycles than at low freguency.
More work would thus be absorbed by the specimens loaded at high fre-
guency and they would be expected to degrade more gquickly. It s
possible that the moduli during the first cycle would be greater at
higher frequencies, and that degradation is faster at higher frequen-
cies.

Brown, et al. (1975), considering the results from undrained stress
controlled tests on Keuper Marl concluded that there is no significant
frequency effect over the range of 0.01 to 10 Hz. But it should be
noted that though the Keuper Mar! was tested under relatively large one
#ay stress cycles (up to 95% of the static strength), the strains in
their tests were typically very small (on the order of 2% strain).
Because their strain cycles were of low amplitude, the strain rates
imposed on the specimens were relatively small. Hence their conclusion
that frequency has no significant effect may not be true for all soils
and all strain amplitudes.

From ioad controlled tests on kaolin (Plasticity Index = Z8). Brewer
r.972) points out in generai that the pore pressure and cyclic strains

at failure decrease as frequency increases tetween 0.1 and 10 Hz.
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Khaffaf (1978) found that the higher the frequency, the lower the
number of strain cycles required to induce a prescribed cyclic stress
level (fig. 19). He also stated that the higher the frequency, the
greater the number of stress cycles required to reach a prescribed
strain amplitude (fig. 20). In addition, increasing the frequency of
strain controlled tests appeared to increase the degradation of strength
after cyclic loading as shown in fig. 21. From this figure it is
apparent that for a 5% double amplitude strain, increasing the frequency
by a factor of 100 between 0.1 and 10 Hz will cause the ratio of
so/cu at large number of cycles to decrease from about 0.9 to about
0.83, where So is the undrained shear strength after cyclic ioading.

Lefebvre, et al. (1987) carried out a series of cyclic triaxial
tests to study the influence of the frequency on the undrained shear
strength of sensitive clays from eastern Canada. They pointed out that
when comparing monotonic and cyclic undrained shear strengths, it is
important to consider the difference in strain rate in the tests as well
as the degradation of undrajined shear strength due to cyclic loading.
Significant strain rate effects in saturated clays cause the cyclic
strength mobilized at high frequencies to be higher than the monotonic
strength measured at standard strain rates. As a first approximation,
they suggested that the cyclic strength of a clay at a given frequency
could be evaluated from a monotonic test by first applying a correction
for the strain rate effect to obtain the monotonic strength at the given
frequency and then applying a degradation function to obtain the cyclic

strength that can be mobilized for a given number of cyrles.
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3.2.3 Behavior of Cohesionless Soils

Peacock and Seed (1968) carried out some simple shear tests at fre-
quencies 1/6, 1, 2, and 4 Hz on Monterey sand at a relative density of
50% and tested under a confining pressure of 5 kg/cmz. From the results
shown in fig. 22 it is apparent that for frequencies of 1 and 2 Hz, the
form of the relationship between the peak puilsating shear stress and the
number of stress cyclies required to cause failure {s essentially the
same. Although data are limited, the form of this relationship is
apparently the same also for the other two frequencies of 1/6 and 4 Hz.
Based on the test data shown in fig. 22 Peacock and Seed (1968)
concluded that Monterey sand showed only small variations due to fre-
quency effects.

3.3 Interpretation and Extrapolation of the Results Reported in the
Literature

The changes in strength and stress-strain characteristics of soil
during cyclic loading is dependent on

(a) cyclic stress or strain amplitudes

{b) number of cycles

(c) loading frequency

(d) type of test (stress controlled or strain controlled)

While variations in the strength and moduli of specific soils due to
variations in cyclic stress level, strain amplitude, and the number of
cycles have been reported (strength by Murayama and Hata (1957); Seed
(1960, 1967); Seed and Chan (1964, 1966); Theirs (1965); and Theirs and
Seed (1968), moduli by Converse (1961); Parmelee, et al. (1964), Theirs
(1965); and Theirs and Seed (1968)), few attempts (as seen in previous
section) have been made to study the effect of fregquency. In addition

these studies are only in the range of 0-10 Hz which is significantly
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smaller than the 50-1000 Hz range which is involved in dynamic centri-
fuge tests.

It is evident that the effect of high frequency loading on soil
behavior is dependent on the corresponding high strain rate 1loading
(Section 2.0) and the degradation of cyclic strength during cyclic
loading. Therefore, as a first approximation (Lefebvre, et al., 1987)
the cyclic strength of a clay at a given frequency could be evaluated by
first applying a correction for the strain rate effect to obtain the
monotonic strength at the given frequency and then applying a degrada-
tion function to obtain the cyclic strength that can be mobilized for a
given number of cycles.

Fo. example, in a 80 g centrifuge test, the strength of a given soil
at 120 Hz and + 5% cyclic strain amplitude could be obtained as

follows:

Corresponding monotonic } s 2 x strain amplitude
Strain Rate 1/2 x cyclic frequency

Me
"

€
b

= 4 €eve f%/sec

y
= 4 x5 x 120

2400%/sec

= 2400 x 3600 = 8.64 x 10%%/hr

From the extrapolation of Lefebvre, et al. (1987)'s results, the
increase in shear strength ratio [(i.e. c,/(c, at 1%/hr))] in the above
case would be 1.65. For 20 cycles of loading, cyclic stress ratio
(cc/cu at 1% hr) is 0.38 (Lee and Focht, 1975) where C. - shear strength
after cyclic loading. Combining the effect of strain rate and cyclic

loading (Lefebvre, 1987) the resultant shear strength ratio (cc/cu at 1%
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hr) would be (1.65 x 0.38) = 0.63. On the other hand, extrapolation of
Cheng's (1980) results would give cC/cu at 1% hr as (2.15 x 0.38) =
0.82. Perloff, et al. (1963)'s results could not be used to extrapolate
for the strain rates encountered in the centrifuge testing, as the
values for parameters a, b, s, d and f reported in Table 4 are for the
range of strain rates less than 100%/hr.

The above calculations are repeated for the prototype and the
results are reported in Table § together with the model test results.
It can be observed from the above table that the Cheng's (1980) resuits
predict the model shear strength ratio to be 1.86 times greater than
that of corresponding prototype while Lefebvre's (1387) results yield a
value of 1.14, This large discrepancy is due to the fact that Cheng's
(1980) effect of rate of strain on the shear strength relation show a
drastic increase in strength ratio (1.0 to 2.2), for strain rates going
from 10%/sec to 100%/sec.

Hence, the extrapolation of the existing results indicate that the
undrained shear strength of a soil is increased by a factor of 1.14 to
1.86 (compared to prototype) for high frequency loading, depending on
the corresponding monotonic strain rate. However, it should be noted
that these factors are based on results obtained from results which may

be susceptible to highly non-uniform samples as reported in section 2.2.

3.4 Centrifuge Case Studies

The centrifuge scaling Taws can he verified directly by comparing
prototype behavior to modelled behavior or indirectly by comparing
modelled behavior to behavior predicted using experimentally measured
soil properties with an analytical procedure. For dynamic soil behavior

there is 1little detailed prototype experience which can be compared to
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model behavior. In order to overcome this difficulty, centrifuge
modellers employ modeliing of models, which is a modification of the
direct verification (Schofield, 1981). A model tested at N g's is the
prototype which is modelled by a 1/C scale model tested at CN g's where
C is a factor. The scaling laws can be evaluated by comparing the
measured behavior of the model-of-the-model to the measured behavior of
the model.

Since the centrifuge scaling laws do not preserve identical strain
rates in model and prototype, modelling of models may not give satisfac-
tory comparison of strain aind strength between models, due to high
strain rates and frequency effects on soil behavior described in pre-
vious sectiions. But in the 1literature, there are case studies where
modelling of models have shown to give convincing results to verify
centrifuge scaling Taws.

Schmidt (1978) obtained very satisfactory agreement between the
model and prototype crater sizes resulting from expiosions. Kutter, et
al. (1988) also observed an excellent agreement in modelling of model
experiments carried out on models of flexible shallow tunnels 1in dry
sand subject to bilast loading from nearby high energy explosives
(fig. 23).

Lambe and Whitman (1982) modelled the upward propagation of shear
waves through a 10.8 m thick horizontal sand stratum by models of two
different sizes. The cyclic horizontal displacements and settlements
measured on a 0.305 m high model tested at 35 g's are compared to the
behavior measured on a 0.133 m high model tested at 80 g's. The tests
were performed with dry sand and saturated sand. The agreement was
better for settlements in dry sand tests and for cyclic shear strains

and for settlements during saturated sand tests as shown in figs. 24-26.
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For dry sand tests model-of-the-model cyclic shear strains were 50-70%
higher than model values when prototype accelerations were greater than
0.18 g (fig. 27).

In the study of the behavior of clay embankments during and after
earthquake loading, Kutter (1982) used the technique of modelling of
models to test the scaling laws. Four models at scales (N = 35.6 and
N = 80)Vd1ffer1ng by a factor of 2.25 were subjected to earthquakes with
the basic earthquake frequency properiy scaled. Small models (N = 80)
are identified as A & B while large ones (N = 35.6) as C & D. However,
during an earthquake, the amplitude of the cycles was not constant, and
the way it varied depended on the model scale. In addition, the higher
frequency components were not similar for the models at different sca-
les. Therefore, the natural frequency and the earthquake induced per-
manent displacements of the large model (N = 35.6) and the small model
(N = 80) were compared through some theory (Kutter, 1982).

In comparing the resonant frequencies, it was assumed that for
models representing the same prototype that: 1) the resonant frequency
of the models was only a function of the amount of permanent displace-
ment caused by the earthquake, and 2) the resonant frequency is the fre-
quency at which the first 1large peak occurs in the response
amplification spectrum. The response amplification spectrum is defined
as the spectrum of the ratio of the spectral response of the crest
motion to the spectral response of the base motion.

When these assumptions were made it was found (Kutter, 1982) that
the modeis that were tested at higher frequency and strain rate (N = 80)
had about 30% lower natural frequency (in prototype terms) than the

models tested at lower frequency and strain rate (N = 35.6). If rate
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effects were causing the difference, the N = 80 models should have a
higher frequency than the N = 35.6 models.

The difference in resonant frequency was attributed to the dif-
ference in edge effects of the models tested at different scales. The
N = 80 models had a larger aspect ratio (width to height) than the large
models and hence, were less restrained by the boundaries. The large N =
35.6 mode]s‘were given more support at the boundaries and consequently
had a higher (prototype) resonant frequency.

Similarly the earthquake induced permanent displacements were com-
pared (Kutter, 1982) using some theoretical predictions. If the theory
takes account of the important differences in the base accelerations,
then, even if the theory is not perfect, the observed model behavior
should have the same relationship to predicted behavior that the model
of the model does. Even if the theory is in error for apalysis of the
models, the same errors should apply to the analysis of the model of the
model.

For each of the four sliding block predictions that were applied to
predict permanent displacements (rigid-plastic, degrading rigid-plastic,
viscoelastoplastic and degrading viscoelastoplastic) the large models
and the small models of the models were seen to have the same
relationship to predicted deformations (figs. 28 and 29). For each pre-
diction type, the large models (C and D) fall within the same relatively
narrow band that the small models A and B do. Even for prediction 1
(shown in fig. 28) where there is a poor correlation between predicted
and measured displacements, there is a relatively narrow band in which
the data for small and large models fall.

If soi)l strength increased at a modest rate of 10% per log cycle of

strain rate, the factor of 2.25 in modelling scale wouild produce 3 dif-
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ference in strength of 10% x log (2.25) = 3.5%. The effect of a 3.5%
change in strength may not be discernible amongst the scatter in figs.
28 and 29. Some data in the 1literature (shown in fig. 9) have suggested
that the rate effect may be as large as 50% per log cycle at strain
rates above about 100%/s. If this did apply to the kaolin embankments,
the difference in strength between the models at different scale would
be 18%. The effect of an 18% change would appear in fig. 29 unless it
was systematically counteracted by some other difference between the
models.

Figures 30 and 31 showed that a 20% change 1in strength of an
undamped elastopiastic sliding block would produce about a factor of
four differences in predicted displiacement for the first earthquakes on
models B and D (BI and DI). Each of the solid curves in figs. 30 and 31
represent analyses with differences in strength of 20% (which happens to
correspond with yield acceleration coefficients of 0.0926, 0.193 and
0.294). For a given prediction in fig. 29, the thickness of the band of
data 1s about a factor of four and there is no apparent bias for small
models to have a lower measured displacement than the large models.

If the strength of kaolin did increase at 50% per log cycle of
strain rate, the difference in measured displacements of large and small
models should be apparent in fig. 29. From this information Kutter
(1982) concluded that the rate effects on strength seems to be signifi-
cantly less than 50% per log cycle of strain rate.

The yield acceleration of the centrifuge models for the sliding
block analyses was based on the back calculated strength determined from
the static failure of model! A during rapid spin up of the centrifuge.
The strain rates developed during this static failure are difficult to

guantify but it may be reasonably assumed that the rates were a couple
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orders of magnitude lower than those that occurred during the earth-
quakes. Since the strength values obtained in this manner produced pre-
dicted displacements (in fig. 29) within about a factor of two of the
measured displacements, it may be inferred that the increase in the rate
of strain (from that during static faflure to that during earthquakes)
does not affect the strength by more than about 10%. This argument,
however, presupposes that the viscoelastoplastic sliding block analysis
is correct. The viscoeiastoplastic sliding block parameter study (figs.
30 and 31) showed that a 10% change in strength would produce approxima-
tely a factor of two difference in predicted displacement.

Moreover, the predictions based on the back calculated yield acce-
leration tend to siightly underestimate measured displacements (fig.
29). If the dynamic strength (at high strain rates) of soil was signi-
ficantly larger than the strength during the static failure, predictions
would be expected to overestimate measurements.

In conclusion, Kutter (1982) pointed out that the rate and frequency
effects appear to have no significant effect on the results from centri-
fuge modeling. He ascribes the more important sources of error to the
differences in edge effects between the large and small models and nor-
mal experimental errors (such as imperfect specimens, error in trans-

ducer catibrations, etc.).

4.0 CONCLUSION

A centrifuge model tested at n g's is subjected to strain rates n
times larger than those in the corresponding prototype. It is known
that the strength and stiffness of soils is affected by the rate of

strain.
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The literature review indicates that the behavior of dry sands is
not significantly affected by the change of strain rate for either mono-
tonic or cyclic loading.

For cohesive soils there is a significant influence of strain rate.
For monotonic tests the shear strength appears to increase at about 10%
for a factor of ten increase in strain rate (10% per log cycle) over a
large range of strain rates.

Most of the data indicate that the shear strength increases faster
than 10% per log cycle at the very high strain rates which may occur in
dynamic centrifuge tests. Due to the difficulty in conducting the tests
and maintaining sample uniformity in very high strain rate tests, this
increase in rate effect is questionable.

During high frequency, high strain rate cyclic 1loading, similar
results are observed. In stress controlled tests the samples tend to be
stiffer and stronger as strain rate increases. In strain controlled
tests, the samples are stiffer during the first few cycles, but the
stiffness degrades more rapidly as frequency is increased. After a
given number of cycles of a given strain amplitude, the static strength
is lower for samples cycled at high frequency.

The rate effects in cohesive soils present a serious concern to
centrifuge modelers. It may not be valid to use data from slow tests to
interpret the model tests. Though this problem is more pronounced in
centrifuge tests, prototype soils (during real ea-thquakes) are also
subjected to strain rates which may exceed the rates applied in labora-
tory tests. The influence of loading rate should be accounted for in
prototypes and in models.

If it is found that rate effects are small enough, they may be

nandled by accounting for them in the analysis of the test data or by
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counterbalancing the rate effects by using slightly weaker soil in the
mode! than in the prototype. Some laboratory data suggests that rate
effects become more significant at high rates of strain. Centrifuge
studies involving blast loading and earthquake loading on clay embank-
ments do not indicate the presence of excessive rate effects.

Rate effects are known to be significant for cohesive soils and the
question of how to deal with them is sti1l open. The magnitude of the
rate effects is also uncertain at high strain rates due to questions
regarding sample uniformity during high strain rate tests. With modern
instrumentation and control technology better data should be forth-
coming. For cohesionless soils, however, it appears that the effect of
high strain rate, high frequency loading is small and the principles of

dynamic centrifuge modeiing are valid.
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Ae < 1/2% Ae < 5%
Deviator stress Increases Increases
Pore pressure Unaffected Decreases
or slight
increase
0’1/0'3 Increases Unaffected
or slight
decrease

Table 2. Effect of strain rate on the mechanical properties of soil at
different strain levels (Richardson et. al. 1963).

W (%) wp (%) I (%) G Clay, Fraction (%)

54.5 26.0 28.5 2.74 85

Table 3. Classification properties of Grundite (Perloff et al. 1963)

1.67 0.116 0.258 ~0.955 0.176

Table 4. Numerical values of constants in ~quations (Perloff et. al.
1963).
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Table 5. Comparison of resultant shear strength ratfos for centrifuge
model and prototype samples using the results of Lefebvre (1987) and
Cheng (1980).

80 g model, 120 Hz and Prototype, 1.5 Hz and
+ 5% strain amplitude + 5% strain amplitude
Monotonic Strain Rate Monotonic Strain Rate
= 4 x5 x 120 - 2400%/sec =4 x5 x 1.5 = 30%/sec

cu/cu at 1%/hr cc/cu at 1%/hr cu/cu at 1%/hr cc/cu at 1%/hr

Lefebvre

(1987) 1.65 0.63 1.45 0.55
Cheng

(1980) 2.15 0.82 1.15 0.44
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BRITTLE FAILURE

PLASTIC FAILURE

FAILURE 8Y SPLITTING OR
PRONOUNCED FAILURE PLANES

FAILURE 8Y BULGING

Occurs where there are large
negative pore pressures in
unconfined compression tests:

(1) Sotls compacted dry of
optimum water content.

{2) Stiff saturated soils.

Occurs in triaxial tests with large
chamber pressures, or where there
are small negative pore pressures
in unconfined compression tests:

(1) Sotls cdmpacted wet of
optimum water content.

(2) Soft saturated soils.

STRAIN -aT-FAILURE AFFECTED
8Y STRAIN-RATE

0] Fast test

‘Slow test

STRAIN AT FAILURE INDEPENDENT
OF STRAIN-RATE

Fast rest

Slow test

LARGE STRAIN-RATE EFFECT

//

Strain - Rote

Strength

MODERATE STRAIN-RATE EFFECT

—_——/

Stren tﬁ

Stroin -Rote

Figure 1. Hypothesis for difference in strain rate effect in different soils

(Whitman, 1970)
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Figure 5. Water content vs. shear strength for different load intervals on
Grantham clay (Schmid et al. 1965).
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Figure 6. Water content vs. shear strength for different load intervals on
Grundite clay (Schmid et al. 1965).
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Figure 7. Water content vs. shear strength for different load intervals on

Grundite clay after Perloff and Osterberg, 1962 (Schmid et. al.
1965). 43 |
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Figure 10. Composite average result for three dry sands from early tests
at MIT (Whitman, 1970).
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Figure 13. Stress strain crrves for a loose, saturated Ottaws sand
(Whitmann, 1970)

loading velocity: 18 in/sec 0.08 {in/sec
&, 0.50 € " 0.49

/20

o
o

Stress - 1b/1n?

pore pressure pare pressure

) s 0 2 - s /0 ‘5
Ax1ail Strain - percent

chamber pressure = 40 |b/|n2
inttial pore pressure s 35 lb/!n2
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Figure 15. Definition of the avearge and tangent moduli for calculation

of velocity of compression waves through triaxial specimens
(Kuter, 1982).
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in pulsating load triaxial compression tests using normal
rimming procedures for samples of San Francisco bay mud
(Their and Seed. 1978).




9

Ratlo : cyzlic stress / stotic streagth= ¢

$°T2° iztttoer

€aa: 5%

: Cerwert T3y
| ‘ {after Khgffaf *$73-
S He | ‘

[

(")

—

1/120 Hz

I Mz, t
1S Mz | :
1/20 M2 | X

|

|

S G Y T G U S § A L PR WS U G 10§ - FURES R U S |

1) 100 1060 5530
Number of Cycles

Figure 19.Theeﬂ‘eaofﬁeqmmyonmerehﬁoubaweencyclicm
during a cycle and numer of cycles.

stress
controlled

/2, =04
Oerwent C(lay
{after Khaffaf 1978)

T V VFY

Hz

¥

T ¥ viTy

Qoubdie
anmplitude
stroin (9l

T

|

|

| |

777

| | ;
| |

oer e - 000
Ne. of cycles, N

Frequency
LB ILBAA ]

¢

CToT YT vy YInay

Figure 20. The effect of frequency on the aumber of cycles requmred to
produce a given double amplitude strain.
50




S¢

Strength after Cycling

ro

T === *-—j__ -

5 . R TSN
o v "

8 —_———

i e DERWENT CLAY and

= o MOD. GRIMWITH CLAY
= 6 = 5%, —
o - €da=27
@ (After Khaffaf, 1978)
n 4 ——=—==NE.PACIFIC CLAY _ |
- ¥p = 229/, N=200
= {After Sherif etal, 1977)
o
S 2

.ow' 1 Lnj_ll‘lo' 1 1 Lnllll.' A1 1 $ 114 i 1.2 L1 44

Frequency, f { Hz)

| 10

Figure 21. Relation between the degradation of strength due to strain
controlled tests. Results from Sheriff et al (1977) were
obtained after 200 strain coatrolled cycles of amplitude 2.2%.
The results from Khaffaf (1978) were obtained after the
minimum stress level was achieved during strain controlled
cyclic triaxial tests with peak strain of 5% (Khaffaf, 1978).

g
v
I os
- Rq* SO0 % LEGEND
3 1/6 cps —O—C—0—
g as 1 ¢ps —tp—t—-e—
. 2 (PSS = Qe Qe
_'2 \ ¢ Y o—O—O0—
. 0.
- .
b \,\
S 03 ,
5 N
2 ~
> oz [
pot o =
- \
=z o —~ e
-9
2 e
D 10 100 1,000 10,000

Number of Cycles

Figure22. Influence of frequency on undrained strength of loose

monterey sand under cyclic loading -
(Peacock and Seed, 1968).

~

51

simple shear conditions
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